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Abstract

A method is presented for the design of unbonded post-tensioned concrete walls for seismic
loading to satisfy multiple performance objectives. It takes advantage of the fact that the initial
stiffness of the wall is nearly independent of the amount of post-tensioning reinforcement,
and thus the fundamental period of the building can be considered to be a stable parameter in
design of walls of a given cross section, independent of the degree of post-tensioning. The
design spectra used follow the specification provided in Eurocode 8 considering the probability
of exceedance of the seismic action. A detailed example is provided.

Keywords: Post-tensioned reinforced concrete walls, performance-based seismic design,
design spectra.

1. Introduction

The model for the lateral load-displacement response of unbonded post-tensioned concrete
walls proposed by Kurama et al. [1] is recognized for describing the response of this type of
structure [2-5]. Kurama et al. [1] propose a design-oriented analytical model that uses a set of
equilibrium equations to estimate the nonlinear static (pushover) behavior of unbonded post-
tensioned (UPT) walls. The model has been verified experimentally by different researchers
[2,5]. The response is characterized by five points on the pushover curve of a UPT wall
representing different limit states (Figure 1). These points are: 1) DEC: decompression at the
base of the wall, 2) ELL: effective limit of the linear response of the wall, 3) SPL: spalling of
concrete cover at the base of the wall, 4) LLP: yielding of the post-tensioning reinforcement,
and 5) CCC: crushing of confined concrete at the base of the wall. A trilinear curve can be
identified linking the origin with ELL, LLP and CCC points. This trilinear curve constitutes the
behavioral model proposed by Kurama et al [1].

In the case of unbonded post-tensioned precast concrete walls, mild (deformed) steel
reinforcement does not connect the wall to the foundation, only the unbonded post-
tensioning reinforcement crosses this interface. The initial stiffness of the wall is based on the
gross or transformed section, and applies until the point that cracking and/or gap opening
occur. Therefore, for a given cross-section, the contact area at the wall-foundation interface
(or any horizontal plane under consideration) remains constant, and precompression (induced
by gravity loads and prestress) causes every differential area to contribute to the initial
stiffness of the wall, in relation to its tangent stiffness (associated with the precompression).
Elongation of the unbonded post-tensioned reinforcement may be neglected in a differential
lateral deformation of the wall, and thus the contribution of the post-tensioning steel to the
wall stiffness is negligible. As a result, for the seismic design of buildings that utilize UPT walls
as seismic-force resisting elements, the fundamental period of the building is influenced
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primarily by the UPT wall cross section and is largely independent of the strength provided by
means of changes in prestress level and quantity of the unbonded post-tensioning
reinforcement. The unbonded post-tensioning steel is anchored at the top of the wall and
places the wall fully in compression. Because the steel is unbonded, the stiffness of the wall
before decompression is determined by the properties of the concrete. As a result, the stability
of the period (T) in this case makes it the best variable to use in the seismic design process,
whereas for many other systems, the yield displacement is a more stable and hence preferable
parameter to use in seismic design [6,7].
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Figure 1. Generic capacity curve determined by nonlinear static (pushover) analysis of an
unbonded post-tensioned wall

The ductility of the system, and the so-called behavior factor in the case of Eurocode notation
[8], are referenced to the definition of yield displacement. A bilinear approximation of the
pushover curve of the UPT wall can be constructed with the values of Ve, Aeir and Vi, allowing
an effective yield displacement, A, to be defined as shown in Figure 1.

Example Part 1

The design method is illustrated by an example composed of several parts. Figure 2 shows a
cast-in-place UPT reinforced concrete wall that is part of a 4-story reinforced-concrete (RC)
structure. The height of the first story is 5 m while the overlying stories are 4 m high, resulting
in a total height of 17 m. The building has two post-tensioned walls in each principal direction.
The walls indicated in Figures 2 and 3 will be designed according to Eurocode 8 (EC-8) [8], and
Eurocode 2 (EC-2) [9]. Each consists of a rectangular section having a plan length of 6.0 m and
thickness of 0.5 m. B500 steel reinforcement (f,x=500 MPa) and C-30 concrete (f«=30 MPa) are
used. The material safety factors used in the design are ys=1.0 and y.=1.0.
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Figure 2. Unbonded post-tensioned reinforced concrete wall.

The transverse hoops in the boundary zones at the ends of the wall section are of 12-mm
diameter at vertical spacing of 100 mm. According to the Mander model [10] they provide
confinement, allowing the confined core concrete to develop a compressive strength of
«« =47.85 MPa (based on characteristic values) at strain g.=0.0079 and with an ultimate
strain of €, = 0.044. As shown in Figure 3, the wall contains five bundled tendons. Each tendon
consists of some number of individually greased and sheathed seven-wire strands; the precise
guantity is to be determined based on the seismic performance objectives and site seismicity.
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Figure 3. Initial configuration of the unbonded post-tensioned wall. A cover of 25mm is
assumed, while the confined area is 135x45mm at each edge.

The five tendons are considered to be of the same cross-sectional area. Table 1 shows the
values of Ve, Aei, Vi and A, for different values of the tendon cross-section.

Table 1. Points defining the bilinear curve.

Strands per tendon | Tendon area Vel Ae Vip AW
(mm?) (kN) (mm) | (kN) | (mm)
15 2100 2346 10.0 3525 | 15.1
20 2800 2847 12.2 4319 | 18.5
25 3500 3270 14.0 5007 | 21.4

Figure 4 shows the bilinear curve computed for the UPT wall (the cross section of Figure 3 for
the 4-story building of Figure 2). In all cases, the PT is prestressed to 0.55f,,, where fy, is the
nominal ultimate strength of the prestressing steel. Although the strength is controlled by the
PT steel, the stiffness is determined primarily by the geometry of the wall and elastic modulus
of concrete and thus the stiffness of the curve in the linear range varies little. This fact suggests

3



that the seismic design of this type of lateral systems will converge rapidly if based on an
assumed period, for a wall of a given section. Of course, the cross-section may be revised if the
structure is too flexible or overly stiff. As a first approximation:

T= ZE\E =0.34s
k (1)

where m is the reactive mass tributary to the wall and k is the stiffness defined by the slope in
the linear range of the curves in Figure 4. The tributary dead load in combination with 25% of
the live load result in a tributary mass per wall of 722 ton. Of course, since the mass is
distributed over the height of the building (rather than being lumped at the top), the period of
the building will be less than that given in Eq. 1. Using a distributed plasticity (fiber) model,
with the commercial software SeismoStruct© [11], a first-mode period of 0.31 s was obtained,
instead of the 0.34 s given by Eq. 1.
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Figure 4. Influence of area of post-tensioning reinforcement on the stiffness and strength of an
unbonded post-tensioned wall using a simplified bilinear curve to characterize the response.

2. Eurocode 8 compatible design spectra in terms of probability of exceedance.

Eurocode 8 [8] presents two types of spectra (Type 1 and Type 2) and for each, five types of
site (ground) conditions can be considered. Given the type of spectra and the site (ground)
classification, EC-8 Tables 3.2 and 3.3 provide the values of S, Ts, Tc and Tp that are used to
define the design spectrum. The design ground acceleration, ag, and a damping factor are also
considered (e.g. n=1 for 5% damping). These values define the design spectrum Sq(T, g) for a
given site as a piecewise function of period T and the behavior factor g, where Sq is the design
spectral acceleration (m/s?).

Performance-based seismic design can consider different limit states (performance) occurring
under various intensities of ground shaking. Ground shaking intensity is indexed by the
probability of exceedance, which may be specified as, for example, an intensity which has
probability of 10% of being exceeded in a 50-year interval. Different limit states can be
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associated with applicable probabilities of exceedance, leading to one or more seismic
performance objectives. Eurocode 8 defines Sq4(T, q) for an event with a probability of
exceedance of 10% in 50 years (equivalent to shaking intensity that has a mean return period
of 475 years) for use in design in conjunction with a defined ductility factor, given by q.
Eurocode 8 restricts interstory drift limits for a less intense (and more frequent) shaking
intensity, having approximately a 10% probability of exceedance in 10 years (a mean return
period of 95 years). The adjustment of shaking intensity to account for the change in mean
return period is implemented in Eurocode 8 through the importance factor, y..

The design ground acceleration a,, considered above, is equal to the reference peak ground
acceleration on type A ground (associated with the site), ag, multiplied by the importance
factor yi (ag=yiag). While the EC-8 design spectra are defined for an event with a probability of
exceedance of 10% in 50 years, EC-8 (Note to §2.1(4)) allows extrapolating the design spectra
to different probabilities of exceedance by assuming a linear approximation of the hazard
curve in log-log coordinates (Cornell et al. [12]):

H(s) =k, -s™ 2)

where s is the intensity measure of choice, and H(s) the corresponding mean annual frequency
(MAF) of exceedance. Due to the underlying Poisson assumption, the MAF can also be
expressed via the probability p of exceeding a given value of intensity s over a period of 50 yr
as

H (S) - _ In(l_ p)
50 (3)
This allows us to define a scaling factor, y,, similar to the importance factor of EC-8, to
estimate a design spectrum for a different probability of exceedance (p) compared with the
standard 0.1 (or 10%), over a period of 50 years:

y =[—In(1_ P) }_k ~ (ij_i
* 1In(1-0.2) 0.1 (4)

where k depends on the site seismicity, with values of the order of 2 — 4 suggested by EC-8 for
Europe. Herein, k = 3 is employed. Note that the simplification appearing in the final part of Eq.
(4) is based on the first-order Taylor approximation of In(1-p) = p that only holds for p<<1. Still,
for practical purposes it is deemed accurate enough up to p=0.5, as the error is only 10%.
Then, simply by multiplying by y, one can modify the design spectra defined for a 10%
probability of exceedance in 50 years to a probability of exceedance of p in 50 years. Thus, the
design spectral acceleration can be expressed as a function of 3 variables (T, g, and p).

Sd(T’qip):j/de(r!q) (5)

Example Part 2



The hazard for the site is described by a Type 1 design spectrum, defined by EC-8 for sites
characterized by events with a surface-wave magnitude (M;) greater than 5.5. The site
conditions in this example are described by a soil type B and a peak ground acceleration ag of
0.3 g. Figure 5 provides a 3-dimensional illustration of the EC-8 design spectrum, Sq(T,q,p), as
function of the probability of exceedance, p, in a 50-year time interval, and the fundamental
period, T, of the structure, for two values of the behavior factor, g= 1 and 2.
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Figure 5. EC-8 design spectra type 1, soil B, ag=0.3g . Te[0,3] and pe[0.5,0.1]. g=1 and g=2.

Different 2D representations of the spectra shown in Figure 5 can be created. For example,
classic elastic design spectra (q=1) for different exceedance probabilities appear in Figure 6:
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Figure 6. EC-8 design spectra for different exceedance probabilities based on Figure 5.

For the case in which T may be assumed constant during the design process, as may be
assumed for UPT concrete walls, plots of S4 as function of q and p for a fixed value of T are of
interest. The design spectral acceleration for T=0.31 s as function of q (and for different values
of p) for this example is given in Figure 7.
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Figure 7. Sq as function of g and p for a constant value of T=0.31s.

3. Design method for multiple performance objectives

To illustrate the design of a UPT wall we select three performance objectives (POs), each

defined [13] by (i) the exceedance of a specific limit-state (LS) that bears consequences for the

building (structural/non-structural components and contents), (ii) a maximum allowable mean

annual frequency (MAF) of exceedance, which designates how often this LS can be violated,

and (iii) a confidence level, that determines how confident we wish to be regarding the

exceedance (or non-exceedance) of the aforementioned MAF given the inherent uncertainties

in the problem (e.g. due to model type, material properties, analysis approach etc.). The three

performance objectives are:

1.

PO;: Effective yield for an event with a probability of exceedance of 50% in 50 yr
(p=0.5, return period of 72 yr) at a confidence of 50% (essentially disregarding the
influence of additional uncertainties). This limit state is somewhat beyond the
point at which softening has developed as a result of the progression of gap
opening and nonlinearity in the response of concrete in compression. However, as
an approximation, both concrete and steel materials can be considered to be
essentially elastic up to this point; spalling of cover concrete would be anticipated
at somewhat larger displacements.

PO;: An interstory drift limit having a probability of exceedance of 20% in 50 yr
(return period of 224 yr) at a confidence of 65%. This represents a serviceability
limit state similar to the one specified in EC-8, yet at the same time considerably
stricter, as the EC-8 employs a less strict MAF of 10% in 10 years (95 yr return
period). For this example, we adopt an interstory drift limit of 0.7% of the story
height. Note that since the period is largely independent of the strength, and thus
the tendon area, if this limit-state is found to govern, then the UPT-wall section
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dimensions may need to be enlarged. A new “constant” period will have to be
estimated and the process restarted.

3. POs: The limit of response associated with crushing of the confined core (CCC
behavior in Figure 1). We consider this simply as a point of incipient collapse,
although the true sequence of events heralding collapse may be much more
complicated. Following ASCE/SEI 7-10 [14] we assign a probability of 1% in 50
years, adding a high confidence of 90% due to the considerable consequences
associated with this limit-state.

The design method is expressed in the flowchart of Figure 8. Note that the proposed approach
is uncertainty-agnostic; therefore, confidence is not accounted for in design, but is accounted
for in assessment, and thus in any subsequent corrective iterations. The performance
objectives are translated into equivalent values of q. We assume that the effective yield
displacement, identified in Figures 1 and 4, corresponds to a behavior factor g=1, and that the
strength required with this performance objective may control the design. Once this strength
is determined, the associated yield displacement and the ductility values corresponding to the
other limit states may be determined, and the adequacy of the preliminary design may then be
assessed for this limit state. A detailed performance assessment can be made to evaluate the
first design realization; if needed, the design can be iteratively improved.

Given the value of the natural period T, g=1, and p=0.5, the design pseudo-acceleration Sq; can
be determined (Eg. 5) and the corresponding base shear can be calculated. A first-mode-
compatible or an inverted-triangular distribution (per Eurocode 8) of external horizontal forces
can be applied. This force level corresponds to the yield strength of the wall observed in a
nonlinear static (pushover) analysis. Thus, the UPT wall is designed for flexural strength and
base shear strength corresponding to Vi,. Once the PT reinforcement is designed, Aei, Ve, 4y,
Vip, Aip, Accc are calculated, thereby allowing compliance with the other performance
objectives (limit states) to be confirmed. We have assumed in this iteration that the first
performance objective governs the design of the structure.

To evaluate satisfaction of the other performance objectives at this preliminary stage, the
interstory drift limit and collapse displacement are expressed in terms of the ratio of peak roof
displacement corresponding to each objective and the effective yield displacement. This ratio,
considered equal to the behavior factor (EC-8 §4.3.4 (1)), is given as g, = (Drift limit)/A, and
03 =QAccc/Oy. The associated 50-year probabilities of exceedance, p=0.2 and p=0.01,
respectively, were identified for the performance objectives stated above. As pointed out in
the previous paragraph we have assumed that the values of pseudo-acceleration
corresponding to these behavior factors, Sq2 and Sqs, do not govern the design; however, if Sq2
or Sqs are greater than Sq1, the design may be revised using the largest value of pseudo-
acceleration, as indicated in Figure 8. If Sy, i.e., the drift limitation, is found to govern, the
dimensions of the UPT-wall section may need to be enlarged.
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Figure 8. Flowchart of the design method.

Example Part 3

The first performance objective is defined for g=1, corresponding to the effective yield
displacement, 4y, and an associated probability of exceedance of 50% in 50 years (p=0.5).
Using Eg. 5 or its graphical representation in Figure 7, we find the value of Sq(T,q,p)=
S4(0.31,1,0.5)=5.16 m/s%. The corresponding base shear is V,=S4m=3723 kN. According to the
models described in [1,2], the design base shear strength (Vip=Vy) is achieved using 17 seven-
wire strands per tendon, for which A¢=10.9 mm, V=2558 kN, A,=16.5 mm, V,,=3856 kN,
01p=386 mm and A..=584 mm. To account for differences between test results and the
estimate of the Mander et al. [10] model for the confined concrete crushing strain, &, a
reduction factor of $=0.9 is employed [2], reducing the estimated value of ., = 0.044 to 0.04.

For such a stiff system, we assume that interstory drifts are dominated by rigid body rotation
of the wall about the base (associated with gap opening behavior at the base). Thus, the
interstory drift limit of 0.007 corresponds to a drift of 119 mm at the roof. The resulting
behavior factor is q;=119mm/16.5mm =7.2. The limit state of crushing of the confined
concrete corresponds to a behavior factor g3=584/16.5=35.4. The values of pseudo-
acceleration corresponding to these behavior factors for the site of interest are shown in
Figure 9, and they are found to be:



S,,(0.31,7.2,0.2) =0.97 m/ s’
S,,(0.31,35.4,0.01) =0.54 m/ s’

The largest Sq4 value of the three, namely the one corresponding to the effective vyield,
obviously controls the design, as initially assumed. Therefore, no revision of the preliminary
design is required. The idealized load-displacement response of the resulting wall, according to
the model proposed by Kurama et al. [1] and Pérez et al. [2], is shown in Figure 10.
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Figure 9. Determination of Sy for the three performance objectives considered. The effective
yield limit (g=1) obviously produces the highest S4 requirement and thus governs.
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Figure 10. Trilinear idealization of the response of the unbonded post-tensioned wall, as
determined by preliminary design.
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4. Assessment and Validation

A two dimensional model of one of the two identical post-tensioned walls that act in each
direction was prepared using OpenSees [15] to assess the performance of the design. The
post-tensioned wall was modelled following the suggestions of Buddika and Wijeyewickrema
[16] as shown in Figure 11. A single displacement-based distributed plasticity element was
employed for each story, with fiber section representation monitored at five integration points
along the member length. Further discretization of the wall along its height into more
displacement-based elements, or the use of force-based elements (which are often important
for improved accuracy [17]), was not found to be necessary as nonlinearity is concentrated at
the rocking base, away from the wall elements. At the top and bottom, rigid beams were
employed to define the outline of the wall. The unbonded tendons were modelled using
tension-only corotational truss elements connected to a rigid top and to the foundation. At the
bottom, in order to model rocking, the rigid wall base running along the entire width of the
wall is connected with no-tension concrete-like springs to the foundation (Figure 11a). The
leaning column was modelled as pinned at its foundation and continuous through its height,
using linear elastic elements. These have area and moment of inertia characteristics that
match the corresponding cross-sectional properties of one half of the gravity columns of the
building plus one post-tensioned wall oriented along the transverse direction bending around
its weak axis, as only one-half of the building is modeled in the direction of interest due to
symmetry. A first-order treatment of geometric nonlinearities was also incorporated to
account for global P-Delta effects. Rayleigh damping of 2% was assigned to the first and second
modes. This is lower than a typical value of 5% for reinforced concrete structures, but it is
considered realistic as cracking is directly incorporated in the concrete material models (giving
rise to early hysteretic damping) both at the base and in the wall itself.
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Figure 11. OpenSees model of: (a) the building showing the wall (grey-black rectangle), the
tendons (dashed red), the leaning column (dark grey), the contact springs, the rigid links (solid
black), and the horizontal kinematic constraints (dotted black); (b) the post-tensioned wall
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section, showing discretization into confined concrete (dark gray), semi-confined/unconfined
concrete (light gray) and steel (black) fibers.

The wall section was discretized into longitudinal steel and concrete fibers, the latter having
different confinement factors for the cover, the well-confined core at the edges and the semi-
confined core of the web (Figure 11b). The effect of confinement was calculated on the basis
of the Mander et al. model [10] with a resulting confinement ratio (f../fce) of 1.55 for the edge
core concrete (per Figure 3 detailing, based on expected material properties), 1.1 for the web
core concrete (assuming typical low transverse reinforcement) and 1.0 for the unconfined
cover. Steel reinforcing bars were modelled using a bilinear constitutive law accounting for
pinching and stiffness degradation. Expected (denoted by subscript “e”), rather than
characteristic (denoted by subscript “k”), material properties were used for both materials,
i.e., a concrete strength of f.e = foc + 8 = 38 MPa [9] and a rebar steel yield strength of f,e =
1.15fx= 575 MPa. The base contact springs were arranged as a single stripe along the 6m
width of the wall; no further discretization is required along the wall thickness in 2D. They
were assigned a force-displacement relationship that mimics the hysteresis of the
corresponding core concrete fibers in compression, whereby the force response is defined by
the concrete stress multiplied by the relevant tributary area, while the corresponding
deformation is derived by the concrete strain times an effective height of twice the confined
thickness of the wall, following the recommendations of Perez et al. [2]. Each unbonded
tendon has an area equal to (17 strands)-(140 mm?/strand) = 2380mm?2. For the prestressing
steel, a bilinear constitutive law was employed, with initial strain iteratively calculated to attain
the initial pretension force of the tendons. The expected strand properties were determined
according to JCSS [18]: Ultimate strength of f,. = fi« + 66 MPa = 1926 MPa and Young’s
modulus of E,= 195 GPa. The ultimate strain of tendons was considered to be equal to 0.02,
which may be conservative but does not govern incipient collapse.

4000 T T — 4000 - -
I‘ /’_’____— SE—]
'.‘ 3500 ?#
1
. L 3000 t'hu
=z 1 = I
= ! 222500
E i 1 E
% 2000 { ' 22000
| @ h
% ' & 1500
a : pud
1000 ) 1000
- - OpenSees model : Hm(,f
—Perez model | 500} |- - ()mEm
1
0 : ' 0 ‘ ‘
0 0.2 0.4 0.6 0.8 0 0.01 0.02 0.03 0.04 0.05
roof displacement (m) drift

Figure 12. Static pushover capacity curves of the post-tensioned wall model: (a) Pushovers in
terms of roof displacement, as created using OpenSees with expected material properties
(dashed line) and via the Perez et al. [2] analytical expressions for characteristic material
properties (solid line). (b) The OpenSees model pushover in terms of Gmax and Trop; there is
negligible difference between the two due to the rigidity of the wall.

The eigenvalue analysis of the model showed that the first two modes vibrate at T; = 0.28 s and

T, = 0.04 s, fairly close to the earlier estimates of T; = 0.34 s from Eq. 1, or T: =0.31 s from the

preliminary Seismostruct model. The difference with the latter can be attributed to the leaning

column stiffness that is not accounted for in the preliminary estimate. The static pushover

capacity curve of the model resulting from a first-mode-proportional lateral load pattern is

presented in Figure 12a, along with the trilinear curve used for the design of the building,
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determined from the Perez et al. [2] analytical expressions. As mentioned earlier, expected
material properties were used for the former and characteristic ones for the latter case, thus
the two pushover curves may seem to match perfectly for this building, yet only under
somewhat different initial assumptions. Figure 12b also shows the obtained pushover
response in terms of the maximum interstory drift ratio, Ome, and the maximum roof drift
ratio, Uror, confirming that the rigid-body rotation of the wall around its compression toe
dominates the response, allowing no concentration of deformations in any individual story.

The seismic performance of the structure was evaluated using incremental dynamic analysis
(IDA, [19]). Analysis results are characterized by two scalars, an Intensity Measure (IM), which
represents the seismic intensity of the record, and an Engineering Demand Parameter (EDP)
which monitors the structural response of the model. The first-mode spectral acceleration,
S4(T1,5%), was adopted here as the IM, while Omex and G0 Wwere used as the EDPs. Due to
considerable record-to-record variability, IDA requires a large enough set of records to cover
the full range of structural response. For this reason, the 2D model of the structure was
subjected to 44 natural ground motion records (22 seismic events, two components each)
comprising the FEMA P695 far-field set [20].

In order to estimate the mean annual frequency (MAF) of exceeding (i.e. violating) the limit-
state (LS) associated with each performance objective (PO), two components are needed: (i)
the building fragility curve associated with the LS and IM of interest and (ii) the seismic hazard
curve for the IM. A fragility curve is a continuous function of the IM, P (D > C | IM), that given
the level of the IM provides the probability of seismic demand, D, exceeding the seismic
capacity (or threshold), C, that signals violating the LS. Fragilities are typically assumed to
follow a lognormal distribution, fully defined by its median value and dispersion (standard
deviation of the log-data) 8. The seismic hazard curve, A(IM), of a given site relates values of
the IM of interest with their MAF of exceedance. The MAF of exceeding a given limit-state,
A(D>C) is calculated by convolving the seismic hazard curve with the fragility curve [19]:

MD>C)=[P(D>ClIM)-|dA(IM) (6)

where |dA(IM)]| is the differential of the seismic hazard curve. In mathematical terms, meeting
a PO means that the x% percentile estimate (due to additional uncertainty from modeling,
analysis, material properties etc.) of A(D>C) should be lower than the associated maximum
tolerable MAF of Apo [13]:

Ao, (D>C)< A, (7)

where x% is the desired confidence level at which the PO should be met. For example, for PO,
we have x = 50% and Apo = - In(1 - 0.5)/50 = 0.0139 (corresponding to 50%/50yr).

The seismic hazard curve used for the assessment of the structure is derived for San Jose,
California (latitude = 37.33659 and longitude = -121.89056) based on USGS data. In order to
offer a fair assessment of the design methodology without bias due to a spectrum mismatch,
the seismic hazard curve was modified (i.e., uniformly scaled) so that at MAF = -In(1-0.10)/50
= 0.0021 (i.e., 10%/50 years) it matches the spectral acceleration calculated from the design
spectrum. The resulting (modified) hazard curve derived for the post-tensioned wall is
presented in Figure 13a. The dashed line indicates the approximation of the slope of the
hazard curve (k=3) that was used in the design process. In Figure 13b, actual Uniform Hazard
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Spectra (UHS) for the site are compared against the corresponding spectra that were
extrapolated from the code design spectra via Eq. 5. It can be seen that for the fundamental
period of the building, the adopted (modified) UHS matches well with the EC-8 design
spectrum of 10%/50yr. For other MAFs, the approximation of k=3 led to conservative design
spectra, as the S, values that were estimated are greater than those that we would get from
the actual hazard. This is a natural consequence of the power law approximation of the hazard
via Eq. 2, and can only be alleviated if the actual UHS are available to be used in place of the
approximate EC-8 derived spectra.

1 2 T T
EC based spectrum - 1% in 50 years
UHS - 1% in 50 years
2 EC based spectrum - 20% in 50 years
1.38x10 — UHS - 10% in 50 years
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-4 = ——EC based spectrum - 50% in 50 years|
= 2.01x10 s =-=-UHS - 50% in 50 years
]
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@
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Figure 13. a) Seismic hazard curve for 7:=0.28 s at San Jose CA scaled to match the 10%/50 yr
value of S,(T,) as provided by the design spectrum, and a first-order fit approximation with k=3
in the vicinity of S, = 0.9g and b) UHS plotted against the EC-8 based design spectra for different
MAFs.

Table 2. Verification of performance objectives.

L . . POs: hi f
Performance Objective | POu: Effective yield | PO2: Omax= 0.7% 03. Crushing o
confined concrete
Fragility curve
Alg [ 229 1.07 79 . 489
(median / dispersion) 0.41g/22% 07g /37% 3.68g / 48%
Addltlo'nal un.certalnty 25% 25% 25%
(dispersion)
Estimated MAF (yrs?) 0.0128 0.0025 0.000159
Allowable MAF (yrs?) 0.0139 0.0045 0.000201
(probability / years) (50% / 50yrs) (20% / 50yrs) (1% / 50yrs)
Confidence level 50% 65% 90%
Check / / /

Results for each performance objective are summarized in Table 2. The first two values for each
PO correspond to the median and the dispersion of the lognormal fit of the fragility curve, the
latter due to record-to-record variability only. Then comes the dispersion due to additional
uncertainties, where we essentially assume that any uncertainties other than record-to-record
variability cause the fragility median to be lognormally distributed with a log-standard deviation
of 0.25 (the so-called first-order assumption [12]). The following two values are the estimated

14



MAF (at the designated confidence level) and the allowable MAF against which the former is
compared.

The acceptability of the effective yield of the building was assessed at the 50%/50yr level. This
PO is equivalent to a roof displacement of A,=16.5mm. This value is estimated using the Perez
et al. [2] analytical expressions and agrees well enough with the results that we get from the
pushover curve. The MAF of exceeding Jro0r= 16.5mm/17000mm = 0.00097 was estimated
using the log-normal fragility curve fitted to the Sq(T1,5%) values that correspond to the roof
drift limit (light blue points in Figure 14a). The median value of the lognormal distribution
equals 0.41g and the log standard deviation is 22%. The estimated MAF of exceeding
Uroof = 0.00097 at 50% confidence is 0.0128, which is marginally lower than the limit of
-1In(1-0.5)/50 = 0.0139 (corresponding to 50%/50yr). Note that this small difference in MAFs
corresponds to an even smaller difference in terms of S,(Ti) due to their exponential
relationship. Thus, only a small margin of safety has been achieved despite the large
conservatism in the assumed 50%/50yr design spectrum relative to the actual UHS observed in
Figure 13b. The main reason is that the preliminary design approach neglects the effect of
fragility dispersion (either due to record-to-record variability or due to modeling and analysis),
which is fully accounted for in assessment. This is known to adversely increase the demand
MAF [12] by factors that may range from 1.5 to 3. In the case at hand, the initial conservatism
due to the power law approximation of the hazard curve happened to offset the
unconservative effect of neglecting dispersion. Still, this situation may be reversed for another
site or building case, or even with different PO definitions. For example, had we requested an
increased confidence of, say, 65% in meeting PO, a redesign would probably be required as
the present design approach cannot account for the higher confidence. Still, this would only
require a small correction, i.e. an increase in tendon area, as the initial design has already
brought us very close to fully satisfying all requirements.

For PO, and POs (i.e. interstory drift ratio of 0.7% and crushing of confined concrete), Omax is
used as the EDP and the IDA results are shown in Figure 14b. The fragility curve for PO, was
calculated based on the Si(T1,5%) values that correspond to the 0.7% interstory drift ratio limit
(Figure 14b, light blue points). The median value of the lognormal distribution is equal to 1.07
g and the log standard deviation is 37%. Applying Eq. 6, the estimated mean annual frequency
of exceeding the maximum interstory drift limit of 0.7% at 65% confidence is 0.0025, which is
lower than the targeted MAF value of 0.0045 (or 20%/50 yrs). Thus, PO; is satisfied.

Crushing of confined concrete is deemed to occur when numerical non-convergence appears,
or a maximum interstory drift of 4.3% is exceeded, whichever occurs first. The first criterion is
numerically indicative of global dynamic instability [19], closely corresponding to the
catastrophic loss of strength appearing at the end of the plateau in the pushover curve of
Figure 12a. The second criterion corresponds to an interstory drift that is physically consistent
with the loss of strength in the pushover analysis (Figure 12b), used to guard against any
excessive deformations due to some low residual strength that may appear. Herein, the
second criterion nearly always governed, and the corresponding values of S.(T1,5%) are
employed to define the fragility curve for POs (Figure 14b dark blue points). Their median value
equals 3.68g and the log standard deviation is 48%. By convolving with the hazard curve of
Figure 13a, the estimated MAF at 90% confidence equals 0.000159, which is lower than the
required target of 1%/50 yr, or 0.000201, meeting the performance objective. Note that, in
general, this MAF estimate for global collapse is conservative, as the simple amplitude scaling
that IDA employs and the use of S;(T1,5%) as the IM may not allow for capturing the
appropriate spectral shape of high intensity ground motions [21, 22]. Specifically, FEMA P-695
[20] recommends employing a spectral shape factor, to adjust the median collapse IM capacity
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upwards. Although this remains a crude approximation and better methods do exist for
achieving unbiased assessment of global collapse (e.g., see Lin et al. [23], Kazantzi and
Vamvatsikos [24], Adam et al. [25], Kohrangi et al. [26]), this factor can be used to refine the
estimate of collapse capacity, and improve the estimated margin of safety if needed.

0 0.005 0.01 0.015 0.02 0 0.01 0.02 0.03 0.04

maximum roof drift ratio, ()mof maximum interstory drift ratio, Omax
(a) (b)
Figure 14. IDA curves for estimating mean annual frequency of exceeding each PO: a) the
Sa(T1,5%) values calculated for Oyoor = 0.00097 (light blue points — PO1) and (b) the Sa(T1,5%) values
calculated for Omax= 0.7% (blue points — PO;) and for crushing of confined concrete, i.e., incipient
collapse (dark blue points — POs).

Conclusions

A seismic design procedure for the performance-based design of unbonded post-tensioned
reinforced concrete walls is illustrated. The seismic action uses the EC-8 design spectra in
terms of probability of exceedance. Multiple performance objectives are addressed, using a
constant period assumption and relying on an accurate assessment of the performance of the
resulting building to verify compliance.

The proposed method offers an initial design close to the desired one, while employing some
approximations for reasons of simplicity. Specifically, it relies on a linear fit (in natural log
space) of the hazard curve within the range of interest. This fit introduces some conservatism
to the process as it over-represents the influence of both more frequent and rarer events.
Furthermore, record-to-record variability or other sources of uncertainty are not taken into
account, thus the inherent dispersion in the response of the building is neglected. Considering
all these, an assessment step is necessary and a re-design step may possibly be needed as it is
not guaranteed that all the targeted POs will be met at first pass. Still, by using only one step, a
near-final design of the building is achieved, which can be easily improved in a subsequent
iteration. More accurate methods, which allow consideration of the complete hazard of the
site, the dispersion in demand observed in nonlinear dynamic analyses and the effect of
uncertainties are also available at the cost of needing more initial input data (Vamvatsikos and
Aschheim [27]).
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